The testing of a 0. 305 scale model of the six-story prototype steel building under a program of controlled cyclic displacements is described. A "wiffle tree" system was used to produce a lateral load pattern closely resembling the pattern specified by the UBC code.
INTRODUCTION
A 0.305 scale model of the six-story steel prototype building structure was constructed and tested in a quasi-static manner at Fritz Engineering Laboratory, Lehigh University, as part of the overall investigation (Foutch, et al. 1987 , Roeder, et al. 1987 .
In this study, emphasis is on the overall performance of the structure to strong earthquake-induced lateral forces and the hysteretic characteristics of the structure. Three types of lateral force resisting schemes were investigated:
Phase I Dual system with concentrical braces in Frame B (CBF). . .
Phase II Dual system with eccentrical braces in Frame B (EBF).
Phase III -Moment-resisting frame system (MRF) with Frame B unbraced.
It is recognized that the earthquake-resistant design of buildings must satisfy two basic conditions:
(1) The building must maintain its serviceability during moderate earthquakes for which sufficient lateral strength and stiffness are required, and (2) It must not collapse during a severe earthquake. The second condition imposes the require~ents of deformability and the associated energy dissipation capacity. Moment resisting frame (MRF) is known to exhibit good deformability and energy dissipation characteristics, but it lacks the strength and stiffness at large lateral deflections. Concentrically braced frame (CBF) has sufficient stiffness and is widely used for tall buildings. However, under a major earthquake, buckling of the braces can cause severe loss of energy dissipation capacity and deterioration of strength and stiffness.
Eccentrically braced frame (EBF) is known to perform well under both moderate and severe earthquakes, because it is a stiff and strong structure and has an excellent energy dissipation capacity.
Many types of structural components and subassemblages have been tested to investigate their load-deformation behavior. Most of the frame tests were conducted on planar structures. Very few tests have been performed on three dimensional complete structures. The seismic behavior of dual systems is not well understood because of the complexity of the interaction between the braced and unbraced frames. The overall behavior of the dual system, after failure of the primary lateral force-resisting system, has not been fully investigated, especially in the large deformation range.
, . ' .
MODEL STRUCTURE
The scale factor of 0. 305 for the model structure was selected by considering the available laboratory floor space and the scale factors used in other tests of the cooperative program. The dimensions of the model are shown in Fig. 1 . A dimensional analysis was employed to derive the similitude laws between the physical dimensions of the quantities involved (Lee, 1987 ). The most difficult task to fulfill is the requirement of higher density material for the model in a manner that does not change the strength and stiffness characteristics. This requirement may be satisfied by placing additional distributed weights to achieve the desired dynamic characteristics.
Because the model tests were conducted statically and ' because the dead load effect is expected to be small, the extra weights were not used.
The structural members were fabricated to be exact replicas of those of the prototype. Model members were manufactured using long strips which were cut from 4 x 8 ft.(l.2M x 2.4M) steel plates or sheets. For theW-shapes, two flange strips and one web strip were welded together using the TIG welding process. For the tubular braces, two strips bent at 90 degree were welded to form a square or rectangular section. All other details of the prototype were simulated as closely as possible. The column-to-column connection used full penetration butt welds in the flanges and webs. For the connections where column sections of different depths met, a rectangular plate of 0.5 in. (12.7 mm) thickness was inserted to ensure continuity. In the girder-to-column moment connections, fillet welds were provided on both sides of the flanges and the web, and, in the shear connections between girder and floor beam, only the web was welded. The details of the brace-to-girder connections are discussed in the relevant sections that follow.
EXPERIMENTAL BEHAVIOR AND RESULTS
In each phase of the study a flexibility test was first performed and followed by cyclic tests using displacement control.
Loading Program:
The flexibility test was conducted by applying lateral ..
loads, one at a time, to the individual floors and measuring the resulting deflections. In the cyclic tests, the desired lateral loading pattern was the pattern prescribed by the Uniform Building Code (Uniform Building Code, 1976), on the bases of which the prototype structure was designed (Askar, at el., 1983). The desired pattern was achieved with a two jack loading system and a specially constructed "wiffle tree". Figure 3a shows the roof displacement vs. total base shear curves of the cyclic tests. Figures 3b and 3c show, respectively, the individual floor deflections and the total base shear at all the load steps.
The response was essentially linear, until the applied load reached about the design shear of 24.8 kips (110.3 kN) for the model structure. The first yielding was observed in the girder web of the brace-to-girder joint at the second floor at LS 72. The corresponding base shear was 39.6 kips (178 kN).
More yielding was observed at the girder webs of the brace-to-girder joints at the third and fourth floors, as the load was increased in the subsequent cycles.
The details of the joints were believed to cause high shears to develop in the girders. The secant stiffness of the model at LS 123 was about 85 percent of the initial tangent stiffness and a small hysteresis of the load-deflection curves was observed.
At LS 157, the brace. at the south side of the 1st story started to buckle. The total base shear was 49.84 kips (221.7 kN). In the following cycle of loading, this brace buckled severely, and the other brace, which was under tension, fractured at its upper connection. The fracture was repaired and both braces were strengthened by welding narrow steel strips to the four sides, which resulted in a 56 percent increase in area and 5 percent increase in radius of gyration. The test was then resumed. Figure   4d shows the cyclic behavior of a 3-story brace. At LS 361, the south side brace of the 5th story buckled out of plane, and at LS 365 the same brace of the 4th story buckled in plane.
In the subsequent cycle, the opposite braces of the 4th (LS 388) and the 5th stories (LS 391) buckled in and out of plane, respectively. When the roof displacement reached 1.65 in. (41.9 mm), the panel zones of the strong axis oriented girder-to-column joints was observed, but no visible yielding was in the girders and columns.
The structure was then subjected to cyclic roof displacements of 1.9, ( 66. 0 mm) , the base shear was only 77 percent of the maximum base shear reached and the test was terminated. Figure 5 shows the damage pattern of the model structure after test. The slabs on several floors cracked at sections adjacent to columns in the direction transverse to the loading and at areas above the brace-to-girder joints.
Phase II Testing: After the completion of the phase I test, the concentric braces were removed and the eccentric braces were installed in the south bay of Frame B for the Phase II test. Figure 6a shows the details of the braceto-girder connection. The gap between brace and girder flange was smaller than that of the prototype, which was believed to be responsible for the observed out-of-plane buckling of the joint. Two strain gages were attached on each brace to measure the axial force.
The same test procedure as that of Phase I was adopted for Phase II.
Line 2 of Table 1 Frames A and C was observed in the following cycles. Figure 8d shows the cyclic moment vs. angular distortion relationship of a panel zone. Some columns at the column-to-footing joints showed yielding at 1.8 in. roof displacement. The test was terminated at the roof displacement of 5 in., which was the maximum capacity of the LVDT used in controlling the test.
DISCUSSION
Overall Response: Figure 9 shows the skeleton curves of the roof displacement vs. total base shear of the three phases of testing. The elastic limit strength is defined as the strength when the first yielding or buckling was observed in a structural member. Table 2 lists the elastic limit strengths and the ultimate strengths of the three structures.
The Phase I test structure (CBF) has large elastic limit strength, but it has the smallest reserve strength beyond the elastic limit. Buckling of a brace did not cause sudden drop of the load. The strength and stiffness, however, deteriorated rapidly and the structure showed a descending load-deflection relationship.
The rupture of the braces limited the overall ductility and the energy absorption capacity. The shares of the applied loads resisted by the moment-resisting frames increased significantly after the braces had failed. The current design practice requires that the CBF system be designed with the largest base shear of the three systems.
The Phase II test structure (EBF) exhibited bilinear type of loaddeflection relationship with stable hysteretic behavior. The elastic stiffness was about 10 percent higher than that of the Phase I structure as estimated by the natural frequencies. The 2nd slope of the load-deflection curve initiated when a shear link started to yield. Because of the high reserve strength of the links beyond initial yielding, this structure shows the largest reserve beyond the elastic limit strength. The resistance of the structure, however, decreased rather significantly when rupture occurred in a severely distorted link. The behavior of the shear links controlled the overall strength and ductility of the structure. The overall ductility was estimated to be about 4.0. The dual system with EBF performed well.
The Phase III test structure (MRF) is a very flexible structure. The elastic stiffness was only 20 to 22 percent of those of the two dual ·systems. Most of the inelastic deformation was in the panel zones of the girder-to-column joints, which were . somewhat underdesigned . The structure exhibited gradual stiffness degradation after first yielding, but the hysteresis loops were very stable. A ductility of about 5.0 was reached at the termination of the test.
Story Shear vs. Storv Drift: Table 3 summarizes the maximum story shear force and story drift of the individual stories reached during the three phases of testing.
In the Phase I testing, the 1st story brace buckled early and was strengthened. Then the 4th story underwent the most inelastic deformation.
After buckling of its braces. Fig. lOa shows the story shear vs. story drift curves of this story. The damage was concentrated in this relatively weak story, in relation to the amount of story shear applied.
In the Phase II testing, the inelastic deformation developed in the shear links according to the expected sequence, that is, starting from the lower stories then moving upward. This behavior is considered highly desirable for earthquake resistant design in that the damage was distributed uniformly among the stories and the stable hysteretic characteristics of shear links were fully utilized. The cyclic behavior of the 3rd story of the structure is shown in Fig. lOb . It is a very flexible structure and exhibited
Behavior of Braces:
The hysteretic relationship between the axial force and axial deformation of a brace of the Phase I test structure is shown in Fig. 4d . In the elastic range and before brace buckling, the axial forces in the pair of braces in any story were approximately equal, one being in tension and the other in compression. The compression brace eventually buckled either in an in-plane or out-of-plane mode. The resistance to axial compression of the buckled number decreased rather rapidly and an increased share of the story shear was then carried by the tension brace. The buckled brace was never fully straightened under tension when the direction of the applied lateral displacements was reversed. After a few cycles of buckling and partial straightening, the thin-walled tubular braces started to tear at the corners, which eventually led to fracture. In this test structure, brace fracture occurred in the 4th and 5th stories. without the safety factor and with an effective length factor K-0.65. This comparison shows that strong rotational restraints existed at the ends of the braces. The braces of the Phase II test structure were so designed that they would not buckle even after the shear links had reached strain hardening.
Behavior of Link Beams :
The cyclic shear force vs. shear distortion relationship of the 3rd floor shear link is plotted in Fig. 11 . The link showed generally stable hysteretic behavior and large energy dissipation capacity. It's stiffness decreased only gradually after initial shear yielding. The maximum shear resistance reached at a 3% angular distortion and remained essentially constant until extensive cracks developed in the link web. Its distortion capacity was about 10 percent. The concrete slab above the link cracked rather severely and there was some loss of composite action between the steel girder and the slab at large distortions. The details of the brace-to-girder connections, which were an improvement of the details used in the prototype structure, resulted in stable behavior of the braces and the gusset plates.
Behavior of Panel Zones: Yielding of panel zones was observed in all the three phases of testing. In the two dual systems, the panel zones started to yield after the braced frame underwent significant inelastic deformation, which occurred due to buckling of the braces or yielding of the shear links.
In the Phase III test, the inelastic deformation of the panel zones was very dominant and represented an important energy absorption mechanism. It has been suggested (Krawinkler, et al. 1971 and Lee, 1987 ) that limited inelastic deformation of the panel zones may be regarded as a desirable feature in seismic-resistant building structures, because it reduces the ductility demand of other members in the structure. Analytical hysteretic models for steel and composite joints with panel zone deformation have recently been developed (Lee, 1987 ).
Distribution of Story Shear Force: Figure 10 has been plotted to show the change of the distribution of the story shear to the braces (if any), the braced frame and the moment frames of the three test structures.
In the Phase I test, initially, the braced frame and braces took a slightly larger portion of the story shear than predicted. The buckling of the braces caused rapid transfer of the shear to the moment frames. In the 4th story, the two moment frames resisted about 60 percent of the story shear after the pair of braces failed by fracture.
In the elastic range of the Phase II test, the shear taken by the braces and the braced frame was 84 percent which is about the same as in the Phase I test. However, unlike the Phase I structure, yielding of the shear links caused only a small increase of the portion of the story shear resisted by the moment frames. The distribution of the story shear to the three moment frames remained essentially constant throughout the Phase III test. This indicates that it is possible to treat the structure as three individual planar frames for purpose of analysis.
EXPERIMENTAL VS. ANALYTICAL
Static incremental inelastic analyses were performed on the test structures and the results were compared with the experimental results. The DRAIN-20 program (Kannan and Powel, 1973) , after modified for statically applied lateral loading, was used in these analyses. Also, two subroutines, one for the composite beam element and the other for the composite beam-tocolumn joint element with panel zone deformation, were incorporated into the program. The details of these elements are presented elsewhere (Lee, 1987) .
For simplicity, only the skeleton curves of the roof displacement vs. base shear relationships of the test structures are presented here. The results of the detailed studies will be given in a forthcoming report. Figure 12a shows the comparison of the results of the Phase I test.
Two analytical curves are shown. Analysis 1 was performed before the test and analysis 2 after the test. Analysis 2 included the shear beam elements at the brace-to-girder joints which were subjected to high shear and was yielded during the tests and elastic spring elements at the bottoms of the columns of the braced frame to simulate the flexible foundation. The stiffnesses of the springs were determined from the readings of the dial gages mounted on the column bases. The load-deflection relationship from Analysis 2 shows good correlation with the experimental results.
In the analytical study of the Phase II structure, the most critical element is the shear links. The test result exhibited a trilinear behavior of the shear links.
In the DRAIN-20 program, only bilinear model is available.
The analytical results using the bilinear model resulted in discrepancies between the test and the analysis, especially in the large deflection range, as shown in Figure 12b .
shear link behavior is needed at this time.
Improved modelling of composite Figure 12c shows the experimental and analytical skeleton curves of the Phase III test. The close correlation indicates the adequacy of the models for composite beam and composite beam-to-column joint developed in this study.
SUMMARY
A 0. 305 scale model building structure was tested cyclically using a quasi-static test method. Three types of lateral load resisting systems were studied. An inverted triangular lateral load pattern according to the UBC code was used in the test. The results are summarized as follows:
1. The overall hysteretic behavior of the three types of structures was as expected. The design details of the connections, however, played an important role in affecting the performance of the structures.
The brace-to-girder connection details of the CBF caused early yielding in the beam. The details of the brace-togirder connection of the EBF adopted were successful in preventing out-of-plane buckling of the braces and the gusset plates.
2. Buckling of braces in the CBF caused a marked reduction of the stiffness of the Phase I test structure, but its load-carrying capacity did not reduce too rapidly until one of the braces i,n a story ruptured. The dual system with CBF showed less ductility and small reserve strength beyond the elastic limit.
3. Hysteretic behavior of the shear links was very stable. The dual system with EBF showed superior performance with regard to ductility and energy absorption capacity. The ductility of the system was limited by fracture of the links.
distortion of link beam reached was about 10 percent.
The maximum 4. The moment-resisting space frame was very flexible. Extensive yielding of the panel zones of the girder-to-column joints occurred with any fracture. The overall hysteresis behavior was stable and the ductility was large. APPENDIX ! ~ REFERENCES Askar, G., Lee, S. J., and Lu, L. W. (1983) . "Design studies of the sixstory steel test building".
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SUMMARY
The results of tests of a scale model of a prototype six-story steel building structure are presented. The test program included three lateral load resisting schemes: dual system with concentrical braces, dual system with eccentrical braces and pure moment frames.
